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Abstract 

One-g shake-table experiments are conducted to explore the seismic failure mechanism of bridges supported by elevated 
pile foundation embedded into liquefiable or nonliquefiable soil. Two identical specimens consist of 2*2 reinforced 
concrete (RC) pile group, RC cap and single RC pier were constructed and embedded into saturated and dry sand, 
respectively. A lumped iron block was assigned at the pier top to represent the superstructure. Scaled Kobe and Chichi 
ground motions were adopted as seismic inputs. Representative test data, including frequency and damping properties of the 
soil-structure system, time histories of excess pore pressure ratios and accelerations, and curvature distributions along the 
piles are presented. Test results indicate a strong effects of soil liquefaction on the seismic failure mechanism of elevated-
pile-foundation-supported bridge structures. Under strong seismic excitation, two plastic regions were formed on pile head 
and underground successively for the specimen in liquefiable soil. By contrast, the plastic region below the soil surface was 
formed first for the specimen in nonliquefiable soil. Besides, the specimen in liquefiable sand displays a deeper depth of 
underground plastic region than that in the nonliquefiable sand. Quantitative analysis results from recorded data coincide 
reasonably well with the post-shaking observation of pile damages. 

Keywords: Bridge structure; shaking table test; seismic failure mechanism; soil liquefaction; riverbed scour. 
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1. Introduction 

For river-crossing bridges, foundations are usually constructed in deep water and embedded into soil. Saturated 
soil may liquefy under seismic excitation, leading to reductions of soil resistance, which may cause the damage 
of pile foundations and further the failure of bridge structures. Although arduous efforts have been made in past 
decades to reveal the seismic behavior of pile-supported bridge structures in liquefiable soil, recent earthquake 
disasters [1,2] still show the lack of knowledge on this issue, especially the unclearness on the complex seismic 
failure mechanism. Meanwhile, pile foundations constructed in deep water are usually suffered to riverbed scour, 
which is reported to be one of the most severe hazards that cause bridge failure in the United States [3]. 
Specifically, scour may render the cap and upper portion of the piles exposed without surrounding soil, forming 
the so called elevated pile foundation [4], which results in a capacity degradation of the foundation and alters the 
dynamic behavior of bridge structures under seismic hazard [5]. A brief introduction of previous representative 
test studies on pile-supported structures in liquefiable or scour scenarios follows. 

Previous studies mainly focused on the seismic behavior of piles and pile-supported structures in 
liquefiable soil alone. Many attempts have been made through centrifuge tests [6–8], shaking table tests [9,10], 
and in-situ blast tests [11,12]. As to experimental studies in bridge scour field, rare related work has been 
reported. Wang et al. [13] investigated the seismic performance of a scoured pile-supported bridge model 
embedded into dry sand using shaking table tests and found that with the increase of scoured depth, the potential 
failure mechanism transferred from the pier to the pile foundation. In practice, it is common scenario that bridges 
located at perennial flood-induced scour sites where saturated sand may liquefy during earthquakes. However, 
experimental studies on seismic behavior of pile-supported bridge structures in combination of scour and 
earthquake-induced liquefaction hazards have rarely been documented to the authors’ knowledge. In these 
regards, it is critical to investigate the seismic failure mechanism of bridge structures in both liquefiable and 
scour scenarios. 

A key objective of this study is to reveal the seismic failure mechanism of pile-supported bridge structures 
in liquefiable soil under riverbed scour scenario. To this end, a shaking table test under scaled earthquake 
motions was performed on a simplified RC bridge model partially embedded into fully saturated sand. For 
comparison, another shaking table test on an identical bridge model in dry sand with the same scour depth and 
very close relative density (Dr) was carried out to clarify the impact of soil liquefaction on its seismic response 
and failure mechanism. Soil response of acceleration and pore water pressure were presented. Recorded pile 
curvature distributions were illustrated to reveal the seismic failure mechanism, which was then related to the 
post-test physical observation of the damaged models. This study serves as a complement to the research on 
inelastic behavior of piles by documenting the demands of actual RC pile-supported bridge structures in 
idealized homogenous soil profiles. 

2. Test Setup and Instrumentation 

A series of shaking table tests were carried out at the Multi-functional Shaking Table Lab of Tongji University, 
Shanghai (Fig. 1). A laminar soil box with inside dimensions of 2 m×1.5 m×2 m (length×width×height) was 
mounted on the 4×6 m shaking table with maximum bearing capacity of 70 ton. As schematized in Fig. 2, two 
identical RC specimen composed of a 1.9 m-length/0.1 m-diameter (D) 2×2 pile group and a 0.6 m×0.6 m×0.3 m 
cap and a 1.0 m-height/0.214 m-diameter single pier were constructed and partially embedded into, separately, 
saturated or dry sand with similar Dr around 50% and the same scour depth of 0.4 m. A 4 ton iron block was 
fixed on the top of the pier as the superstructure. 
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Fig. 1 – Test specimen embedded in laminar soil box on the shake table at the Multi-functional Shaking Table 
Lab of Tongji University: (a) global view, (b) pier-superstructure connection and (c) pile-tip connection. 
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Fig. 2 – Bridge specimen in saturated or dry medium dense sand for shaking table tests: (a) global schematic 
diagram, (b) pier reinforcement, (c) pier section, (d) pile reinforcement and (e) pile section 
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2.1. Bridge Model Property  

One novel point of this experimental study is the comprehensive consideration of a soil-bridge system; that is the 
soil-pile-cap-pier-superstructure model, not only the piles as many previous studies did. In this regard, the 
predominant period of an ordinary bridge structure was taken as the criteria during the design of the test 
specimens. AASHTO LRFD Bridge Design Specifications [14] indicated that 0.2 and 1.0 s are usually supposed 
to be the short and long predominant periods for ordinary multi-span girder bridges. Thus, in this study, a 
predominant period of 0.4 ~ 0.5 s was considered when designing the specimens. To this end, a value of lumped 
mass (Mss = 4 ton) is chosen to meet the target of expected predominant period of the specimen as well as the 
axial compressive ratio of bridge columns in current practices (i.e., between 5% and 35%) [15]. 

Four piles were connected together by a RC cap in a 2×2 pattern with a center-to-center spacing of 3D. 
This value was chosen based on current practices that commonly adopts a spacing of 3D to 4D [16]. As seen in 
Fig. 1(b), the pier head is fixed with the lumped mass through a steel plate with a collar, which was casted 
together with the pier by welding the top of the reinforcing rebar to the steel plate. In terms of the pile-tip and 
base connection (Fig. 1(c)), a 4-collar steel plate was casted together with the 2×2 pile group. It is worth to note 
that, before casting, the reinforcement cages of the piles just stood in the collars without any other connection. 
To minimize the boundary effects, the specimen was positioned in the center of the soil box with the distance to 
the box wall of 8D in the shaking direction and 5.5D in the orthogonal direction. Details about the 
reinforcements follows. 

A longitudinal and transverse reinforcement ratio of 2% and 0.8% was assigned for the pier and piles of 
the specimen, respectively. Specifically, as shown in Fig. 2, for the pier component, the longitudinal 
reinforcements were provided by 10 ϕ10-mm rebars with a concrete cover of 2 cm. In regard to the pier 
confinement, spiral ϕ6-mm stirrups were arranged with an interval of 6 cm. In addition, longitudinal rebars and 
dense spiral stirrups were extended into the cap to ensure the fixed connection between the pier and cap top. In 
terms of the pile components, 6 ϕ6-mm rebars were assembled as longitudinal reinforcements with a cover of 1 
cm. The confinements of the pile is supplied with spiral ϕ3.5-mm stirrups with an interval of 4 cm. Similarly, 
dense spiral stirrups were extended to the cap to guarantee the fixed connection between piles and cap bottom. 

Tension tests of the reinforcements indicate that the longitudinal rebars and transverse bars were both 
characterized by well-defined constitutive relationships. The average compressive strength of the concrete in 
tests was fc = 33.7 MPa. Accordingly, section analyses were performed using OpenSees [17]. The pier section 
had a first-yielding curvature of 0.0224 rad/m and the pile section had a larger first-yielding curvature of 0.0380 
rad/m. 

2.2. Soil Property and Placement 

The Shanghai sand was used for the in-place saturated soil layers. The sand is poorly graded, with a mean grain 
size D50 of 0.33 mm, a coefficient of uniformity Cu of 2.06, maximum and minimum dry densities of 1.654 and 
1.429 g/cm3, respectively. To achieve a fully saturated sand layers with Dr of 50%, 20 cm height of pure water 
was pumped into the box before soil placement. The air pluviation approach was adopted to place the sand into 
the box. A large steel bucket full of weighted dry sand was suspended over a long hopper. Then, the dry sand 
was dropped into the water slowly and evenly through the hopper that was just beyond the water surface. After 
the sand was compacted to a scheduled height, another 10 cm height of water was pumped into the container 
very slowly. The placement of the next soil layer continued with this procedure. Note that, during the soil 
placement, the water level kept 5 to 10 cm higher than the soil surface to achieve a fully saturated circumstance. 
Finally, a total dropped mass of 6823 kg and volume of 4.453 m2 of dry sand were placed into the laminar 
container, which corresponds to an average Dr of 49.54%. The placed soil and steel pile were left standing 
overnight to ensure a stable saturated ground. Before the lateral loading, three samples of the sand were taken 
randomly from the laminar container and a mean saturated density of 1.785 g/cm3 was obtained. 

As to the nonliquefiable case, dry sand was placed into the container without water. Similar air pluviation 
approach was used to achieve a Dr close to 50%. Finally, a total dropped mass of 6841 kg and volume of 4.453 
m2 of dry sand were placed into the container, which corresponds to an accumulative Dr of 51.53%. Note that the 
slight difference of accumulative Dr between the liquefiable and nonliquefiable cases are ignored in this study. 
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2.3. Test Instrumentation 

The laminar soil box and the bridge specimen were instrumented with 132 sensors, including accelerometers, 
linear potentiometers, string potentiometers, pore pressure transducers (only for liquefiable scenario), and strain 
gauges. As illustrated in Fig. 2, 10 horizontal accelerometers and 8 pore pressure transducers were embedded in 
the soil layers in two vertical lines (near piles and far from piles) beyond a distance of 40 cm to the wall of the 
soil box, which was proved to be far enough to eliminate the boundary effects [18]. Horizontal accelerometers 
were also installed on the lumped mass and aboveground structures. 40 pairs of strain gauges were glued on 
representative the longitudinal rebars (shown in Fig. 2) of the pier and two of the four-pile group to monitor the 
variation of sectional curvature during the test. Because strain gauges were vulnerable in the casting and testing 
procedures, 9 pairs of linear potentiometers were also adopted at the potential damage regions of the 
aboveground piles and pier. 

2.4. Test Protocol 

White noise and amplitude-scaled real ground motions were sequentially applied to the specimens. Table 1 
summarizes the adopted ground motions which were original from: (1) the 1999 Chi-chi, Taiwan earthquake 
(WNT Station, magnitude, M=7.62, source to distance, R=16.27km) and (2) the 1995 Kobe, Japan earthquake 
(Port Island Station, M=6.9, R=3.31km), as displayed in Fig. 5 (a) and (b), respectively. Apparently, the Chi-chi 
record contained more cycles of strong shaking than the Kobe motion. Also, as seen their acceleration response 
spectra in Fig. 3 (c) and (d), these two ground motions contained a quite different frequency content. The Chi-chi 
wave contained higher frequency contests, corresponding to a maximum amplitude around the period of 0.24 s, 
whereas the Kobe wave comprised lower frequency contents (i.e., longer predominant period of 1.06 s). Note 
that, for convenience, the liquefiable scenario (saturated sand)  is designated as “L” and the nonliquefiable one 
(dry sand) is assigned as “N” in tables hereinafter. For the L scenario, an interval duration was adopted among 
the sequential input motions to ensure the complete dissipation of pore water pressure. Specifically, after the 
0.05g white noise for both scenarios, Chi-chi motion with peak input acceleration of 0.1g (Chi-chi 0.1g), Kobe 
0.1g and Chi-chi 0.3g was applied to both the L and N scenarios sequentially. 

Table 1 – Input ground motions series during the test 

Scenario Motion name Description 
Interval between events for 
liquefiable scenario (min) 

L / N White noise 0.05g, 0.25~50Hz N/A 
L / N Chi-chi 0.1g Scaled to PGA = 0.1g 26 
L / N Kobe 0.1g Scaled to PGA = 0.1g 35 
L / N Chi-chi 0.3g Scaled to PGA = 0.3g 30 

L (final) Kobe 0.3g Scaled to PGA = 0.3g 30 
N (final) Chi-chi 1.0g Scaled to PGA = 1.0g / 
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Fig. 3 – Time histories and response spectra of representative input ground motions with damping ratio of 5%: 
(a) Chi-chi 0.3g, (b) Kobe 0.1g, (c) acceleration and (d) displacement. 
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3. Results and Interpretation 

3.1. Frequency and Damping Features of Soil-Bridge System 

The acceleration response of the superstructure and soil in different depths under the 0.05g white noise were 
adopted to estimate the frequency and damping properties of the soil-bridge structure system. The Fast Fourier 
Transform (FFT) algorithm was first applied to transfer the time history records to frequency spectra. It is noted 
that from the direct Fourier amplitude, extract well defined peaks are challenging to find. Therefore, the locally 
weighted linear regression algorithm [19] was used to generate a smoothed continuous curve. The damping 
ratios of the test models were estimated from the width of the resonant peak in the frequency spectrum 
(smoothed curve) using the half-power bandwidth method, which is expressed by the following: 

2 1

2 n

f f

f
 
                                                                                  (1) 

where fn is the natural frequency, and f2 and f1 are the frequencies below and above fn at which the amplitude is 

1 / 2  times the resonant peak.  
Table 2 lists the frequencies of bridge models and soil. Note that the structural frequency and damping 

ratio came from the acceleration response of the superstructure while the soil results was the average value of 
test data at different depths from A6 to A10. The predominant periods of both bridge model were around 0.5 s, 
which, as expected, characterizes the dynamic properties of ordinary multi-span girder bridges (0.2 ~ 1.0 s). 
Also, the liquefiable scenario displayed a slight longer period of both soil and structure than that of the 
nonliquefiable scenario because very slight liquefaction occurred during the 0.05g white noise excitation. The 
excess pore water pressure ratio, ru (i.e., the ratio between the recorded variation of pore water pressure at a 
depth and the effective overburden stress at that depth) developed to approach 0.2 at a depth of 4D to the soil 
surface. Meanwhile, higher damping ratio was derived from the liquefiable scenario than that from the 
nonliquefiable scenario. For the soil, a damping ratio of 1.47% in the nonliquefiable scenario increased to 2.28% 
in the liquefiable scenario due to the effect of soil liquefaction. As to the damping feature of the bridge models, a 
similar increasing was obtained, from 5.38% in the nonliquefiable scenario to 8.43% in the liquefiable scenario. 

Table 2 – Frequency and damping features of the soil and structure from white noise results 

Scenario 
Predominant frequency (Hz) Predominant period (s) Damping ratio (%)

Soil Structure Soil Structure Soil Structure 
L 8.51 1.98 0.12 0.51 2.28 8.43 
N 11.44 2.07 0.09 0.48 1.47 5.38 

3.2. Soil Pore Water Pressure Development 

Fig. 4 shows the time histories of ru at different depths for the liquefiable scenario. The three locations were at 
depths of 4D, 8D and 14D to the soil surface, respectively (P2, P3 and P4 in Fig. 2). It is worth to note that the 
pore pressure gauges at the soil surface (P1 and P5 in Fig. 2) did not show valid data because of the rapid 
dissipation of pore water pressure at the surface.  

In general, the liquefaction extent increased gradually during the sequential input motions. Specifically, a 
peak ru of 0.5 was achieved under Chi-chi 0.1g. Both Kobe 0.1g and Chi-chi 0.3g motions triggered significant 
liquefaction during the test. However, due to the differences on frequency contents of the motions, Chi-chi 0.3g 
shows a higher level of liquefaction and longer duration of strong liquefaction. In addition, the ru kept the trend 
of dropping after the end of shaking and to zero within the interval between different input motions. 

For the saturated medium dense sand in this study, the dilation phenomenon (shear-induced volume 
increase) was observed during the test, which was presented as a sharp reduction in ru. As can be seen in Fig. 5, 
dilation phenomenon initially occurred at the transient stage (i.e., the moment that ru begins to develop). Then, it 
took place intermittently at the duration of strong liquefaction. By comparison between P2/P3 and P4, the 
dilation phenomenon was more readily observed in locations with higher level of liquefaction. 
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Fig. 4 – Excess pore water pressure ratio during shakings: (a) Chi-chi 0.1g, (b) Kobe 0.1g and (c) Chi-chi 0.3g.  

3.3. Structural Response 

3.3.1. Acceleration Response 

Fig. 5 shows the comparison on time histories of superstructure acceleration between the liquefiable and 
nonliquefiable scenarios. The time histories of ru and input motions were plotted together for explanation. In 
general, the superstructure of bridge model in liquefiable soil displayed lower maximum acceleration response 
compared with that in nonliquefiable soil. Combined with the development of ru, it can be found that the 
superstructure acceleration in liquefiable scenarios was much lower than that in nonliquefiable scenarios since 
the ru was triggered, especially in the Chi-chi 0.3g case where a significant liquefaction occurred. Also, dilation 
moments in the development of ru coincided well with the peaks of the superstructure acceleration. Besides, it 
was observed directly from the time histories that the liquefiable scenarios exhibited elongated acceleration 
response compared with the nonliquefiable scenarios, which means that the predominant frequencies of the 
bridge models in liquefiable scenarios were reduced. 
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Fig. 5 – Comparison of superstructure acceleration time histories at A11 between liquefiable and nonliquefiable 
scenarios: (a) Chi-chi 0.1g, (b) Kobe 0.1g and (c) Chi-chi 0.3g. Symbol ‘○’ and ‘×’ denote the maximum 

negative and positive time, respectively. 
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3.3.2. Sectional Curvature Distribution 

To reveal the seismic failure mechanism, Fig. 6 shows comparison on envelopes of curvature profiles along 
depth between the liquefiable and nonliquefiable scenarios. For conciseness, only the pile with the maximum 
curvature distribution among the 4-pile group was exhibited while the pier curvature profile was not displayed 
because recorded data showed that the pier practically remained elastic state during the whole tests. Note that 
several strain gauges were damaged during the concrete casting procedure or testing process. Fig. 6 clearly 
exhibits the potential yielding locations below the soil surface; that is a deeper depth-to-maximum-curvature for 
piles in liquefiable scenarios (6~8D) than that for nonliquefiable scenarios (4~5D) because the reduced soil 
resistance in liquefied scenario required a larger depth to accumulate load contribution from the soil to trigger 
the maximum curvature of the pile and migrated the depth-to-maximum-curvature aloof from the soil surface. 
Besides, the piles in liquefiable soil displayed a larger curvature at the top than underground, whereas piles in 
nonliquefiable soil showed reversed results. Although the curvature envelopes in Fig. 6 practically remained in 
elastic state (except for the pile top curvature derived from linear potentiometers in the case of liquefiable Kobe 
0.1g), it is reasonably to speculate that under a scour depth of 4D in this study, piles in liquefiable soil may yield 
first at the top (i.e., pile-cap connection) while piles in nonliquefiable soil may yield first underground with a 
depth of 4~5D. 
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Fig. 6 – Comparison of curvature envelope distribution along depth between liquefiable and nonliquefiable 
scenarios: (a) Chi-chi 0.1g, (b) Kobe 0.1g and (c) Chi-chi 0.3g. 

To assess the pile group effect on the seismic demands of the specimens, Fig. 7 shows the comparison on 
the curvature distribution between two piles at the same epoch of maximum input acceleration of the Chi-chi 
0.3g case for both liquefiable and nonliquefiable scenarios. Pile A and B in Fig. 7 indicate the two piles in 
different rows along the excitation direction. From a quick inspection of Fig. 7 (a), it can be clearly seen that, in 
the nonliquefiable scenario, two piles of the group foundation showed obvious differences on the underground 
curvature at the same epoch. For example, the maximum underground curvature of Pile A reached approximate 
0.015 rad/m while that of Pile B was relatively quite small (approximately less than 20% of Pile A). This is 
because of the pile group effect for the nonliquefiable scenario. In other words, soil-pile interactions on the two 
recorded piles were quite different. However, in the liquefiable scenario, very close curvature demands for the 
two piles were observed along the pile length, which indicates that a relative low level of pile group effect exists 
in the liquefiable scenario. In other words, the soil-pile interactions on Pile A and B are very similar. This 
observation is consistent with the previous study by Rollins et al. [20]; that is an in-site experimental study on 
the seismic responses of pile groups in soils with blast-induced liquefaction. 

To quantify the seismic failure mechanism of pile groups in liquefiable or nonliquefiable scenarios, Fig. 8 
and 9 illustrate time histories of pile curvature at pile top derived from linear potentiometers (z = 0.05 m) and at 
underground locations with maximum response derived from strain gauges (z = 1.0 or 0.9 m) for the final 
shakings, i.e., Kobe 0.3g and Chi-chi 1.0g for the liquefiable and nonliquefiable scenarios, respectively. As can 
be seen in Fig. 8(a) and (b) for the liquefiable scenario, the pile top section yielded earlier than the underground 
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pile (t1<t2). Correspondingly, the curvature distributions at t1 and t2 were plotted in Fig. 8(c) and (d), 
respectively. Clearly, when the pile top firstly yielded at the time of t1, low curvature was triggered at 
underground piles, while the pile top entered into inelastic state when the underground pile firstly suffered 
yielding at t2.  

Fig. 9 indicates a different failure process for the bridge model in the non-liquefiable scenario. The time 
history of curvature at the pile top section derived from linear potentiometers in Fig. 9(a) indicates that the pile 
top section kept in elastic state. However, the underground pile suffered yielding at t1 (Fig. 9(b)). In further, an 
envelope distribution in Fig. 9(c) confirmed the apparent yielding of underground pile and almost elastic 
response of the aboveground pile. Note that the strain gauge derived curvature at the pile top section remained in 
elastic state distinctly. Also, the curvature distribution at the epoch of t1 was plotted in Fig. 9(d) where the 
underground pile firstly yielded, whereas the pile top section was far from yielding at that epoch. 

In summary, it can be concluded that, for bridge structures under a scour depth of 4D, two plastic regions 
may be formed on pile head and underground successively in liquefiable soil under strong seismic excitation. By 
contrast, an underground plastic region is formed first for the bridge structures in nonliquefiable soil. The plastic 
region at pile head may be formed later under strong ground motion. It is worth to note that under other scour 
depths, the seismic failure mechanism of the bridge model may be quite different from that in this study. More 
tests or numerical analysis are required to explicate this issue. 

3.4. Post-Test Physical Observation 

Post-test physical observations of the damaged bridge models supported the measured structural curvature 
response. As can be seen in Fig. 10, for the liquefiable scenario, 2D-height damaged regions of the aboveground 
piles were exhibited with readily observed horizontal cracks. The underground piles formed dense horizontal 
cracks (5 cm interval) at the depth from 2D to 10D to the soil surface, implying that the depth-to-maximum-
curvature was around 6D, which coincided to the curvature distribution for liquefiable scenario in Fig. 6(c). No 
obvious cracks were detected on the pier bottom. As to the nonliquefiable scenario displayed in Fig. 10(b), 
neither the aboveground piles nor the pier formed obvious cracks. Main damage regions with dense horizontal 
cracks (5 cm interval) were located at a depth from D to 7D to the soil surface. The 6D-length region coincided 
well with the envelope distribution of pile curvature in Fig. 9(c). 

Soil
surface

(a) (b)

2D

8D

1D

6D

2D No crack
aboveground

Liq Nonliq

 

Fig. 10 – Physical observation of post-test damage features for bridge models in: (a) liquefiable and (b) 
nonliquefiable scenarios 

4. Concluding Remarks 

A series of shaking table tests were carried out to investigate the seismic response and failure mechanism of pile-
supported bridge models partially embedded in a scoured ground with or without liquefiable soil. Test results 
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indicate that the soil-bridge system in liquefiable ground showed lower frequencies and higher damping ratios in 
both soil and structure compared with that in the nonliquefiable ground. Besides, the high level of liquefaction 
can reduce the shear modulus of soil and de-amplify the peak acceleration in the wave propagation process. In 
general, a strong effect of soil liquefaction on the seismic failure mechanism of pile-supported bridges under 
scour scenario of 4D depth; that is two plastic regions were formed on pile head and underground successively 
for bridges in liquefiable soil. By contrast, the underground plastic region was formed first for bridges in 
nonliquefiable soil. Also, bridge pile foundations in liquefiable sand displays a deeper depth of underground 
plastic region than that in nonliquefiable sand. 
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