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Abstract 
The profession has had very few opportunities to study in detail the response of instrumented buildings subjected to earthquake 
ground motions that caused severe damage. A case study examines an instrumented building and its response to moderate 
earthquake ground motion. The building sustained critical damage in a solid wall panel located below a stack of openings 
between two slab-coupled walls. Performance of the building was studied by examining the measured response, comparing it 
with response calculated using dynamic analysis, and analyzing demands and capacities of the damaged wall panel zone. The 
study indicates that geometric and reinforcement discontinuities created vulnerabilities in a structure that, otherwise, should 
have been expected to survive the ground motion with cosmetic damage only. The study illustrates the importance of paying 
attention to the effects of discontinuities on the seismic response of structural walls. 
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1. Introduction 
An instrumented ten-story building was surveyed in detail after it was damaged by moderate ground motion [  
= 14 in./s (0.35 m/s),  = 0.2g]. The survey revealed severe damage in slab-coupled structural walls. The 
structure and the survey results are described, and plausible sources of damage are discussed. Acceleration records 
obtained near the foundation and near the roof are presented and analyzed. Results of numerical analyses are 
compared with the measured building response. Recommendations are given to avoid the observed damage. 

2. The Building 
The building has ten stories above ground (Fig. 1). The floor levels are numbered sequentially from the base to 
the roof, with the grade level labeled Floor 1. The first story is 24-ft (7.3-m) tall to accommodate a mezzanine, 
with shorter story heights above the first story. The floor plan, essentially identical at each level, is nearly square 
with a square central atrium (Fig. 2). 

 

 
Fig. 1 – Typical wall elevation (Note: 1 in. = 25.4 mm, 1 ft = 305 mm) 

 

The lateral-force-resisting system consists of eight cast-in-place structural walls organized in pairs of 
orthogonal walls located near each corner of the floor plan (Fig. 2). Each wall consists of two wall piers that are 
coupled by a reinforced concrete slab from Floors 3 through 10, creating a series of corridor openings (Fig. 1). 
Below Floor 3, the walls are supported by a common two-story high “podium wall” (Fig. 3), resulting in a solid 
wall panel beneath the stack of corridor openings. Below Floor 7, the structural walls are 24-in. (0.61-m) thick. 
Above Floor 7, they are 18-in. (0.46-m) thick. The remainder of the structural system comprises 8-in. (0.20-mm) 
thick unbonded post-tensioned floor slabs supported by 18-in. (0.46-m) square columns (Fig. 2). The building was 
not perfectly symmetrical, but was assumed so to test the ability of a 2D-model to capture what occurred. 
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Fig. 2 – Typical floor plan (Note: the details of the building plan have been modified for simplicity, as 

well as to mask the building identity; 1 ft = 305 mm) 

 
The building is founded on Soil Type E [  < 650 ft/s (200 m/s)], as classified in [1]. Walls and columns are 

supported by piles grouped under pile caps. Piles under walls are grouped near each wall end (Fig. 3). Grade beams 
connect pile caps to one another. The atrium floor is supported grade beams and piles. 

 

 
Fig. 3 – Wall elevation and definitions (Note: 1 in. = 25.4 mm, 1 ft = 305 mm) 

 

Concrete cores were extracted after the earthquake. Measured compressive strength varied between 
samples. The mean value in the zones that were most affected by the ground motion (wall segments in the second 
story) was 7200 psi (50 MPa), and the standard deviation was 1000 psi (7 MPa). 

The reinforcement specified in construction drawings is Grade 60 A706 deformed reinforcing bars. In the 
lower three stories, vertical boundary element reinforcement is 24 and 21 No. 18 (No. 57) bars (Fig. 3). The vertical 
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reinforcement [21 No. 18 (No. 57) bars] in the boundary elements flanking the hallway openings is terminated 9 
ft (2.7 m) into the podium wall. In the lower three stories, the ratio of vertical boundary reinforcement area to the 
gross area of the boundary element ranges from 7% to 8%. Vertical web reinforcement ratios vary between 0.28% 
and 0.42%, horizontal web reinforcement ratios vary between 0.42% and 0.83%, and volumetric confining 
reinforcement ratios vary between 0.8% and 1.2%. 

Measured strengths of steel and concrete samples exceeded the values specified in construction drawings. 
As-built dimensions and reinforcement sizes, quantities, and spacing met what was specified in the original design 
documents within reasonable tolerances. 

3. The Earthquake Records 
The moment magnitude of the earthquake was 6.9 and the fault mechanism was oblique with right-lateral strike-
slip and reverse-slip components. The epicentral distance was 46.5 mi (74.9 km) and the distance to the closest 
rupture point was 33.8 mi (54.3 km).  Accelerometers recorded motions at Floor 1 (grade level) and Floor 10 (one 
level below the roof) (Fig. 4). The peak acceleration measured at ground level ( ) was 0.2g in the EW direction 
and 0.1g in the NS direction. The derived velocity at ground level  was 14 in./s (0.35 m/s) and 8 in./s (0.2 
m/s) in the EW and NS directions, respectively. Fig. 5 shows linear displacement response spectra (for damping 
coefficients of 2% and 5%) calculated for the more demanding ground motion (EW). For the building site and soil 
type E, design values from [1] are  = 1.25g and  = 1.6g. Using the design response spectrum from [1] and 
defining spectral displacement as spectral acceleration divided by the square of the circular frequency, the 5% 
damped linear design displacement response spectrum based on [1] is as shown by the dotted curve in Fig. 5. The 
5% linear response spectrum for the record obtained at the site is well within the linear design displacement 
response spectrum, indicating that the recorded ground motion was moderate. 

 

 
(a) EW 

 
(b) NS 

Fig. 4 – Acceleration response records 
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Fig. 5 – Linear displacement response spectra (Note: 1 in. = 25.4 mm) 

 

Floor 10 acceleration records were integrated twice and filtered to remove permanent drifts believed to be 
associated with instrument error. This was accomplished by excluding frequencies lower than 1/4 Hz in the 
frequency domain of the acceleration records. Inferred mean drift ratios (differences in displacements at Floor 10 
and Floor 1 divided by height from Floor 1 to Floor 10) are shown in Fig. 6. Peak mean drift ratios were 
approximately 0.8% and 0.4% in the EW and NS directions, respectively. 

 

 
Fig. 6 – Drift ratio response records 

 

According to [2], an upper-bound estimate of roof drift ratio ( ), for a structure that sustains its lateral 
strength while responding in its nonlinear range through repeated displacement reversals, is given by: 

 √ Γ  (1) 

where  = first-mode period of the building based on gross sections (calculated as 0.57 s assuming a fixed base 
and considering wall stiffness only); Γ = modal participation factor (estimated to be 1.5); and  = distance from 
Floor 1 to the roof [approximately 1300 in. (33 m)]. 

An alternative method to estimate the roof drift ratio is given by: 

 Γ  (2) 
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where  = linear spectral displacement at a period of  and for a damping ratio of 2%, where  is the 
first-mode period of the building based on cracked sections. This period was taken as  = √2 . 

Eq. (1) yields  ≈ 0.7% and 0.4% while Eq. (2) yields  ≈ 0.9% and 0.5% for the EW and NS directions, 
respectively. These values for roof drift ratio compare well with the peak mean (Floor 10) drift ratios inferred from 
acceleration records: 0.8% and 0.4%. 

The records and the estimated drift ratios show that excitation and response were 1) larger in the EW 
direction, and 2) not clear indicators of high probability of severe damage. 

Fig. 7 plots “inferred (or instantaneous) period,” calculated as twice the interval between consecutive zero 
crossings in the EW acceleration record from Floor 10. The inferred period shifted from approximately 0.6 to 1.4 
s. between 12 and 14 s. This shift indicates that stiffness decreased to approximately 20% of its initial value, 
suggesting damage occurred between 12 and 14 s. 

 

 
Fig. 7 – Inferred variation of period with time (EW) 

 

The EW ground motion records show three "blips" between 13 and 14 s (Fig. 8). Three blips also appear in 
the vertical ground acceleration record (Fig. 8). The onset of these blips coincide with times of peak EW 
acceleration at Floor 10. Coupled with the aforementioned shift in period, it is plausible that the blips were a 
manifestation of damage or of response of a damaged structure. 

 

 
Fig. 8 – “Blips” in acceleration records 
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4. Damage 
Damage surveys were conducted after the earthquake. The greatest concentration of damage was in the podium 
wall in the region beneath corridor openings (Fig. 9). These regions are referred to as “panel zones” in this paper. 
Panel zones in walls oriented in the EW direction had more damage than panel zones in walls oriented in the NS 
direction, which is consistent with the measured differences in excitation and response. EW panel zones had nearly 
complete disintegration of concrete [Fig. 9(a)], to the extent that a person could see through the walls at several 
locations. Damage in NS panel zones was limited to cover delamination and inclined cracking [Fig. 9(b)]. The 
observed damage extended into the boundary elements on either side of the panel zones. In EW walls in which 
additional wall openings were present under panel zones, damage extended to the foundation. Floor slabs were 
also damaged where they framed into structural walls. In cases where openings were present below the panel zone, 
boundary reinforcement extended all the way to the foundation. Earthquake demands caused damage to grade 
beams at these locations. No damage was observed in inspected piles. 

 

  
(a) EW wall elevation (b) NS wall elevation 

Fig. 9 – Observed damage 

5. Preliminary Evaluation of the Wall Panel Zones 
Earthquake demands cause alternating tensile and compressive forces in wall boundaries flanking corridors. These 
forces must be developed in the podium wall beneath. Studies [3], [4], [5], and [6] have concluded that most of 
the boundary element force is resisted by shear within the panel zone. 

In this building, 21 No. 18 (No. 57) Grade 60 A706 boundary element bars flank each side of each corridor 
opening. These boundary bars terminate 9 ft (2.7 m) into the podium walls. Assuming 100% of the tensile force 
in a boundary element is resisted by panel zone shear, and assuming the bars develop 1.25 times an expected yield 
stress of 70 ksi (480 MPa), the panel zone shear can be estimated to be  1.25  70 ksi  21  4 in.2 = 7,400 kips 
(33,000 kN). Distributing this shear uniformly over the height and thickness of the panel zone [as defined by the 
9 ft (2.7 m) extent of the boundary bars], the nominal panel zone shear stress is (7,400 kips) / (108 in.  24 in.) = 
2.9 ksi (20 MPa). Considering an average concrete compressive strength of 7200 psi (50 MPa), this corresponds 
to a nominal shear stress of 33  psi (2.8  MPa). Damage to the panel zones is not surprising given such 
large estimated shear stresses. 

6. Nonlinear Analysis Model 
A 2D numerical model of the building structure was constructed and analyzed in PERFORM-3D [7]. The building 
was idealized by assuming: 



16th World Conference on Earthquake Engineering, 16WCEE 2017 

Santiago Chile, January 9th to 13th 2017 

7 

1) reactive mass included self-weight and 25% of the design live load [8], resulting in a mean unit weight of 170 
psf (8100 N/m2); 2) wall axial load was proportional to tributary area (approximately 10% of the typical floor area) 
and includes self-weight, resulting in a ratio of axial force to gross wall area of 0.02 ; 3) foundations were fixed; 
4) slabs were rigid in their own planes; 5) slab stiffness could be estimated using the effective width from [9] for 
slab-wall coupling and [10] for slab-column framing;  6) vertical transient accelerations had negligible effects; 7) 
there was no reinforcement slip; 8) wall openings – other than corridors – had negligible effects;  9) energy 
dissipation not related to hysteresis can be represented by Rayleigh damping with 2% of critical damping at 0.9 
and 1.1 times the first-mode period calculated using gross sections; and 10) the axial tensile strength of concrete 
was negligible. 

Three models were built: A, B, and C. Model A was linear. Model B used Eq. (3) for concrete in compression 
[11], Eq. (4) for steel [12], and a linear model for shear. Model C was similar to Model B, but used Eq. (5) for 
shear [13]. Default values were used to define hysteretic rules. 

 0.85 2 	1 . 	  (3) 

 = concrete stress;  = mean measured concrete core strength [7200 psi (50 MPa)];  = concrete strain;  = 2 0.85 / ;  = assumed concrete elastic modulus [4800 ksi (33000 MPa)]. 

 
	 ε	   (4) 

 = steel stress;  = steel strain;  = steel elastic modulus [29000 ksi (200000 MPa)];  = yield stress [70 ksi 
(480 MPa)];  = strain at the onset of strain hardening (0.016);  = ultimate stress [95 ksi (660 MPa)];  = 
ultimate strain (0.05);  = ⁄ ;  = strain hardening modulus (0.05 ) [11]. 

 0.4 3 min , ℓ 	0.25 min , ℓ 	 0.25																																																																											  (5) 

 = shear stress;  = shear strain;  = transverse reinforcement ratio; ℓ = longitudinal reinforcement ratio. The 
shear resistance defined by Eq. (5) was limited to  ≤ 0.01. For  > 0.01,  = 0 was assumed based on data reported 
by [11], [14], [15], and [16]. For the panel zones just below corridors, reinforcement ratios were  = 0.0042 and ℓ = 0.0028, resulting in a limiting shear strength  = 450 psi (3.1 MPa). 

Static analyses showed slab-column frames provided less than 10% of the lateral resistance provided by 
walls. Therefore, their lateral resistance was neglected in dynamic analyses. Walls were discretized into elements 
of height equal to floor height except where nonlinearity was likely to have occurred (Fig. 10). Wall reinforcement 
ratios and shear strengths obtained with Eq. (5) are listed in Table 1. 

Table 1 – Model summary 
Group ρℓ ρt vn Group ρℓ ρt vn 

(%) (%) (ksi)  (%) (%) (ksi) 
A 0.85 0.27 0.44 G 8.00 0.83 0.54 
B 2.26 0.41 0.44 H 0.27 0.27 0.44 
C 4.00 0.28 0.45 I 0.27 0.41 0.44 
D 6.00 0.28 0.45 J 0.28 0.28 0.45 
E 7.00 0.42 0.45 K 0.28 0.42 0.45 
F 8.00 0.42 0.54 L 0.42 0.83 0.54 
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Fig. 10 – Model mesh 

 

The wall model was composed of shear-wall elements native to PERFORM-3D [17]. These elements have 
4 nodes, each with 6 degrees of freedom. They are comprised of a shear material and fiber cross section that 
governs the axial-bending properties of the element. Axial strain, shear strain, and curvature are assumed constant 
along the element length. 

7. Analysis Results 
Fig. 11 shows calculated and measured responses in the EW direction. Model A produced a reasonable match up 
to approximately 13 s, which is close to when a period shift occurred (Fig. 7). Model B did not produce clear 
improvement. Results from Model C followed the measured acceleration through approximately t = 14 s. Beyond 
t = 12 s, it is plausible that damage caused torsion and strengthened the existing asymmetry not captured by the 
models. 

For Model C, calculated shear deformations were largest in the panel zone (between the development 
lengths of contiguous boundary reinforcement). Panel zone shear stress in this region reached the strength obtained 
from Eq. (5) at t = 9.5 s. Calculated shear strains reached the assumed “limit” strain of 0.01 at t = 12 s. For t > 12 
s, the maximum average shear strain in the panel zone was 0.022. 

Fig. 12 plots the measured and calculated responses (for Model C) in the NS direction. Amplitudes are 
similar through t = 12 s (the inferred time of damage onset), but waveforms do not match as well as for the EW 
direction. For NS, panel-zone peak calculated shear strains reached 0.4% (1/6 the peak strain for EW). Shear 
stresses also reached the capacity estimated with Eq. (5). 

The models were also used to explore the effect of extending the boundary element longitudinal 
reinforcement all the way to foundation level, rather than terminating it at ℓ  = 9 ft (2.7 m) into the podium wall. 



16th World Conference on Earthquake Engineering, 16WCEE 2017 

Santiago Chile, January 9th to 13th 2017 

9 

Analyses of a variant of Model B in which tension reinforcement flanking the panel zone was assumed to be 
anchored into the foundation showed that, if the panel zone remains linear in shear, the region within ℓ  from the 
lowest opening can attract as much as 70% of the force in the boundary reinforcement flanking it. 

 

 

 
Fig. 11 – Calculated and measured Floor 10 responses (EW) 

 

 

 
Fig. 12 – Computed and measured Floor 10 responses (NS) 
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Analyses of a variant of Model C in which 1) tension reinforcement flanking the panel zone is assumed to 
be anchored into the foundation, and 2) the panel zone is assumed to have bilinear response to shear [Eq. (5)], 
showed that the additional anchorage may help control shear deformations in the panel zone. 

8. Summary and Conclusions 
Moderate earthquake ground motion caused severe damage to structural walls in an instrumented ten-story 
building. The walls were separated by corridor openings in stories 3 through 10, and were supported on solid 
podium walls in stories 1 and 2. Longitudinal reinforcement in boundary elements flanking corridors terminated 
one development length ℓ  into the podium wall. For EW walls, the wall panel beneath corridors was severely 
damaged, with damage extending along the development length of the curtailed boundary element bars. The 
damage highlights a common design problem – using the development length specified for one bar as the length 
for a large number of bars can result in overloading the concrete, causing local failure not expected for a single 
bar. 

Assuming that the tensile force in the curtailed longitudinal bars had to be resisted by the wall panel zone 
between the curtailed bars led to estimated shear stresses well beyond the capacity of lightly reinforced concrete.  
Nonlinear dynamic analyses also indicated that panel zone beneath corridors would have reached 1) its shear 
strength and 2) for EW walls, shear strains exceeding reasonable limits. 

The evidence discussed suggests that the panel zone (wall segment under corridors) should be detailed to 
resist a unit shear stress approaching: 

  (6) 

where  = unit shear stress;  = height of panel zone;  = thickness;  = 1.25 ;  = area of boundary 
element steel flanking panel zone. Boundary element reinforcement anchorage length should exceed .  
should be selected to make  smaller than the limits of Eq. (5). 
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